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1.0 Introduction
1.1 Background

Masonry arch bridges have been used throughout the world. Many thousands exist in Europe.
The number of arch bridges in the United Kingdom has been estimated at 75,000 with

approximately equal numbers occurring within the road and railway networks.

The arch is very pleasing to the eye. Many arch bridges are listed structures so that
replacement schemes are not options. In 1880 Baker was commissioned to report on the
deterioration of Telford’s Bridge at Over. Baker wrote, "The abutments had gradually gone
over, and had been continuing to go over for sixty years. The result was that certain barbarians

were actually urging the magistrates to take down the bridge...". He continued, "... cracks in
the spandrels were big enough to walk through quite comfortably. It would be a disgrace to the
country if they pulled down Telford’s historical work and substituted a hideous iron lattice-

bridge", (Heyman & Threlfall, 1973).

Masonry arch bridges were built to carry a road, a railway or sometimes a waterway over an
obstacle. A right arch bridge was used where the crossing could be perpendicular to the
obstacle. In contrast, a skewed arch was built wherever the obstacle and over-road intersected
at any angle other than 90°. Thus, a right arch is a special case of the more general class of
skewed arch. The extent of existing knowledge of the behaviour of arch bridges is limited to
the right arch in which many effects have either been omitted or have been simplified. These
effects include the spandrel walls, the backfill, irregular geometry, and eccentric loading.
Clearly, there is scope for an advancement of knowledge so that these effects may be considered

and ultimately the behaviour of the skewed arch bridge can be described.

The construction of arch bridges in Great Britain reached its zenith at around the beginning of
the Nineteenth century. At this time, if conditions prevailed, there was a general desire for each
new bridge to exceed the span of any that had gone before (Ruddock, 1979). However,
Séjourné (1913) could only find eight structures in the United Kingdom that had at least one

span with a clear opening of more than 40.0 m.

In the United Kingdom, the first revival of interest in the behaviour of masonry arch bridges
was at the time of the Second World War. This led to the development of the MEXE (Military
Engineering Experimental Establishment) method which provided a quick method of load
assessment before military vehicles were allowed to cross a particular bridge. Since its
inception, it has been used almost universally as the Engineer’s primary assessment tool.

However, it is generally felt to be inadequate since it was based on a number of dubious



assumptions and empirical modification factors. The fact that no catastrophic failures have been

recorded must not be used to conclude that the method is conservative and is therefore safe.

The second revival of interest in the masonry arch began approximately fifteen years ago and
was due to the ever increasing volumes of both commercial and private traffic on the road
network. Freight is opting for the road network rather than the railway network. The
Government is bringing the country into line with the rest of Europe by permitting heavier
vehicles with weights of up to 40 Tonnes onto the road network. The deadline for this
upgrading of permissible loads is 1999. However, there are many advocates for vehicles of up
to 44 Tonnes to be allowed on the road network. These are, at present, allowed on the roads
but only when travelling to and from rail freight terminals and only when six axles are adopted.
Thus, the establishment of heavy load routes following the assessment of all bridges is of prime
importance. The financial implications of imposing unnecessary weight restrictions would be
enormous. Longer journeys would be required which would impair the economic growth of

those regions effectively isolated by the weight restrictions.

The situation of the railway network is in stark contrast to that of the road network. Railway
traffic has decreased over the past few decades. Lighter rolling stock are now in service but
higher speed trains may offset this. In addition, the trend towards welded tracks is a further
benefit. However, the fact remains that most of the arch bridges in the United Kingdom are
in excess of 150 years old and, like the Victorian brickwork sewers, may be approaching the

end of their life.

Bridge owners require an assessment technique to satisfy several objectives. These include the
necessity for it to possess a sound theoretical background. This would increase the confidence
of the Assessment Engineer. This confidence would be enhanced if the assessment technique
could produce the necessary information to enable the Engineer to obtain a "feel" for the
validity of the analysis. Additionally, the quality of an assessment technique will be judged on
its ability to permit further investigation into the effects of proposed strengthening measures.
The M.E.X.E. method can only produce a permissible axle weight. However, it does permit
an investigation into the effects of repairs although, without a sound theoretical basis, there can

be little confidence in its conclusions.

Research intended to provide the Assessment Engineer with the means for determining the
effects of several parameters remains outstanding. These parameters include structural defects
and proposed strengthening measures, the influence of the spandrel walls upon the behaviour
of the entire structure, the behaviour of the backfill and its interaction with the arch, and other
three-dimensional effects such as eccentric loading, impact loading on the parapets and irregular

geometries. Fundamental to the above is a knowledge of how load is transferred through the



three-dimensional structure into the abutments.

The revival of interest in masonry arch bridges has also led to the construction of a small
number of new arch bridges, viz., Ellerbeck Bridge which was built in 1989, Kimbolton Bridge
in Cambridgeshire which was built in 1992, and Monk Bridge which was also built in 1992.
It has been realised that when calculating the relative costs of various proposals for a bridge
scheme, the inclusion of maintenance costs leads to masonry structures being, by far, the most
cost effective. Modern bridges of steel or concrete construction are designed for a life of 120
years. In many cases, material weathering has led to expensive remedial measures and to a
greatly reduced life span. In contrast, the cost of maintenance associated with masonry arch

bridges is negligible.

Research into construction methods is ongoing. Modern headroom requirements would result
in the need for very flat arches. These present very great forces to their abutments. The
alternative solution, which would be to construct regular shaped arch bridges with increased
spans, is not feasible because of the constructional difficulties involved. Additionally, increased
spans do not satisfy the headroom requirements because of the interpretation of the relevant

clauses imposed by the client.

1.2 Scope of the research

This thesis will be primarily concerned with a study of the load carrying behaviour of skewed

masonry arch bridges.

The first relevant aspect to be dealt with will be some of the most commonly occurring
construction details found in single span skewed masonry arch bridges. The development of
arch theory will then be discussed with particular emphasis on the current analysis methods and

their limitations.

At the inception of this project there existed no satisfactory theoretical or empirical model
pertaining to the load carrying behaviour of skewed arch bridges. Moreover, the performance
of this type of structure was even less well understood when constructed from multiple rings of
brickwork. In cases such as these, ring separation may be an inevitable consequence of the
dynamic loads that the bridge has been subjected to throughout its life as well as being a distinct
possibility if it were to be subjected to a monotonically increasing static load. This thesis will
be concerned with the behaviour of these bridges under static loading because without a
knowledge of how these loads are transferred through the structure the effects of dynamic

loading cannot be considered. The absence of data pertaining to the behaviour of skewed



masonry arch bridges resulted in the requirement for the model arch bridge tests documented
herein. The interpretation of the results of these tests and the formulation of a theoretical

analysis technique will provide the means of describing the behaviour of these structures.

The experimental work was carried out at the large-scale model testing laboratory at the Bolton
Institute of Higher Education. Here, four 3.0 m single span skewed arch bridges were
constructed in a way that was similar to a previous set of four square span, multi-ring,
segmental, brickwork arch bridges. Additionally, a further series of seven single ring, barrel
only, arches were tested. The design and construction of the reinforced concrete test bed, upon
which all testing was carried out, and all aspects of the construction, instrumentation, and testing
of each arch bridge came under the direct supervision of the author. The results of the load
tests on the 3.0 m span large-scale skewed arch bridges have been documented elsewhere.
However, the pertinent points from these bridge test reports will also be included within this
thesis together with the pertinent points from the bridge test reports on the corresponding square
span arch bridges. It is only through a comparison of these two series of tests that a knowledge

can be acquired of the effect that skew has upon the behaviour of masonry arch bridges.

Each large-scale model arch bridge was extensively instrumented although the skewed arch
series was more so. Parameters that were measured included the magnitude and position of the
applied load, deflections, surface strains, backfill pressures and temperatures. Each bridge was
subjected to a series of non-destructive patch load tests in which the load was repeatedly
increased and decreased until the reaction of the bridge became repeatable. The data from these
tests are documented with a view to extending the proposed analytical model to incorporat:

serviceability effects at some future date.

Each arch bridge was ultimately subjected to a monotonically increasing line load that was
parallel to the abutments and positioned at the quarter span of the bridge. When the bridge
failed the loading was instantaneously reduced and thereafter incremental displacements were

applied until collapse occurred.

The results of the load tests on the 1.2 m span barrel-only arches will be contained within this
thesis. They will serve to highlight the generic movements involved in the deformation of the
voussoir arch as it accommodates the displacement of the ultimate load. In other words, the
movements of each block of masonry that are required within a three-dimensional collapse
mechanism, as predicted by the proposed mechanism method, can be verified against visual
observations of each of these failure mechanisms. These tests will therefore enable the
behaviour of the 3.0 m span skewed arch bridges to be described as well as providing

information necessary for the development of a three-dimensional mechanism method.



The development of a three-dimensional mechanism analysis method will be described. The
method will make use of the upper-bound theorem of collapse and will utilise the assumption
that the formation of fractures divides the arch into several rigid blocks. The magnitude of the
collapse load can be determined directly from the change in potential energy of this system of
rigid blocks since their movements, in accommodating the displacement of the collapse load,
must be such that they remain in contact with each other. This analytical technique will be used
to describe the behaviour of each skewed arch bridge documented within this thesis. Finally,
its limitations will be discussed and proposals for its development will be made since it is
possible for it to be extended to include other forms of collapse mechanisms and the spandrel

walls.

A new application of the finite element method will be presented which can incorporate the
phenomenon of ring separation. This aspect of the work was carried out by the author at the
head office of his sponsors, viz. L.G. Mouchel and partners, using a commercial finite element
analysis package (ANSYS v5.1 58). Prior to the development of this model there existed two
other models that had attempted to incorporate ring separation. The first model was the two-
dimensional finite element analysis carried out by Choo et al. (1991b) and the second was a two-

dimensional mechanism analysis method developed by Gilbert (1993).

The former model was calibrated against experimental data obtained from tests carried out at
the Bolton Institute of Higher Education. This model was reported to produce a close
correlation between its predicted collapse load and the actual measured value of two 5.0 m span
arch bridges. However, it could not accurately reproduce the measured load-deflection response
of either structure. There was a reasonable correlation between the predicted load-deflection
response and the measured response of the first 5.0 m span model arch bridge with the
exception that they became divergent as the maximum load was approached. In contrast a close
correlation between the finite element predictions and the measured load-deflection response of
a similar structure that had been constructed with the defect of total ring separation existed only
at the ultimate load and at the initial unloaded state. Furthermore, it appeared that the material
properties (Choo et al. 1991b) used in this model were lower than those that were obtained

experimentally.

The latter method could reproduce the experimentally observed collapse mechanisms but
overestimated the associated load if the analysis was performed using the measured shear bond
strength. Furthermore, the method of modelling of the bond between the adjacent rings led to
incorrect predictions that a multi-ring arch could be stronger than the equivalent voussoir arch.
This is because, although a rigid-plastic model of the bond could prevent ring separation if a
sufficiently strong mortar was assumed and in this case the two forms of structure would

become identical, localised ring separation associated with the formation of a hinge leads to an



increase in the predicted collapse load.

It was therefore decided that an independent theoretical model should be developed which must
use actual measured material properties. To be credible, a single theoretical model must be
capable of predicting the behaviour of an arch bridge that may either suffer ring separation as
a result of incremental loading or which already contains ring separation. A finite element
model of a square span multi-ring brickwork arch will be presented within this thesis which can
incorporate ring separation. This model will be discussed and a method will be outlined to

show how it can be extended to deal with skew.

It can therefore be seen that the scope of the work is wide. Masonry arch behaviour is complex
and it would be unrealistic to suggest that this work will resolve all, or even more thaa a few,
of the problems which exist. In particular, the strength of a masonry arch bridge may be
influenced by the ability of it to mobilise backfill pressures which will restrain the deformation
of the arch barrel. Furthermore, the type of fixity that may exist between the spandrel walls
and the arch barrel and the resistance to their movement that the wing walls may offer will also
greatly influence the behaviour of the structure. These effects will be included as realistically
as possible. However, the formulation of more sophisticated models will be beyond the scope

of this thesis except for providing suggested ways in which these effects might be incorporated.



1.3 Constructional Aspects

In England, early attempts to construct skewed arch bridges were largely unsuccessful.
Benjamin Outram (Schofield; 1979) built several arch bridges of up to 20° skew with unskewed

masonry, 1.e. as if they were square span structures.

In a skewed arch that was constructed with unskewed masonry, shown in figure 1.1, each acute
angled haunch is effectively unsupported. These regions do not form part of a contiguous set
of masonry which, in a direction normal to the bedding joints, span between two facing
abutments. The integrity of these regions is dependent upon the ability of the arch to disperse

its load in the transverse direction.
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Figure 1.1 Setting out of skewed arch

Figure 1.1 shows the development of a 45° skewed segmental arch with three possible methods
of construction consecutively illustrated. The edge of the developed shape forms part of an
inverse sine curve, when rolled up to form the desired arch the edge is a straight line when
viewed from above. The three methods illustrated above are the Orthogonal, Helicoidal and
unskewed respectively. Several authors have outlined the steps required in order to generate
the above construction details (Rankine, 1898; Encyclopaedia Britannica, 1876; Gay, 1924) and

readers are referred to these texts for a detailed mathematical description of the curves.

Chapman (1787) devised a method for setting out the masonry in a skewed arch. His method
became known as the Helicoidal, or English, method but is actually only partially correct. The
more exact method known as the Orthogonal, or French, method ensures that bedding joints are
perpendicular to the direction of the skew span throughout the arch. In 1797 Jessop superseded
Outram’s construction method by using the Helicoidal method to build the first "correct" skewed
arch bridges in England, across the Rochdale canal (Ordnance survey sheet SJ8811SE grid
reference 88625 11065). Plates 1.1 and 1.2 show Jessop’s bridge.






The Orthogonal method is not applicable to skewed brickwork arch bridges since it requires the
use of varying sized masonry blocks. Furthermore, this method requires that the shape of the
arch is a "basket handle" (Gay, 1924), i.e., the arch and each abutment form a continuous curve
and that each abutment is vertical. Figure 1.1 illustrates this requirement. For a semi-circular
arch, the first course of masonry, adjacent to the skewback, is placed parallel to the abutment
and does not require much effort to ensure that it curves around so that it is perpendicular to
each fascia. Likewise, each subsequent course can also be gently eased into the structure. If
the span/rise ratio is increased to form a segmental arch, the detailing of the blockwork adjacent
to each abutment resembles that which is required in the Helicoidal method. Gay (1924) pointed
out that a further drawback of this method is that each voussoir is unique and therefore the cost

of such a solution is great.

The Helicoidal method provides a saving in the cost of construction since each voussoir is
similar to all other voussoirs. However, this method produces an untidy edge detail in multi-
ring skewed brickwork arch bridges. In this method, the bedding joints are only perpendicular
to the direction of skew at the crown of the arch. Thus, each brick course is generally not
perpendicular to the intended line of the fascia. Therefore, if special bricks are not used, or if
normal bricks are not cut to shape in situ, a saw-toothed effect is produced. Furthermore, the
brickwork is inclined in each acute angled haunch, whilst the brickwork is declined in each
obtuse angled haunch. Hence, a vertical face can not be achieved unless the bricks are cut to

shape in situ.

The problems associated with the aesthetics of skewed arches can be overcome through the use
of large stone blocks positioned at each edge of the arch. These can be cut to the desired shape
and therefore provide an attractive solution. The interior of the arch can then be infilled with
brickwork built following the Helicoidal method. The infill brickwork is sometimes placed on
its ends so that the number of discrete rings is halved. This is a common feature of square span
arch construction but is not feasible in highly skewed arches if the large edge blocks ,as

described above, are omitted.

Plates 1.3 and 1.4 show details of a skewed arch bridge in which large masonry edge blocks
were used to both stiffen the arch and to provide an aesthetically pleasing fascia. The brickwork

infill follows the Helicoidal method with each brick being placed as a header.

It was often the practice to construct skewed arch bridges from multiple brickwork rings and
simply cut the fascia bricks in situ so that a uniform edge was produced. Gay (1924) presents
several illustrations of how the masonry in skewed arch bridges was set out. He suggested that
the Léveillé method was often used in stead of the Orthogonal method when the skew was very

pronounced and the arch had a "basket handle" profile.









2.0 Review of Literature on masonry arches
2.1 Early History

The masonry arch has been used for approximately 5000 years. Van Beek (1987) claims that
its origins can be traced back to before the golden age of Egypt or Mesopotamia. At the dawn
of these civilisations, buildings were constructed by using reeds as permanent formwork. The
reeds were bent at the top and tied together to form the roof. The whole structure was then
daubed with mud (Encyclopedia Britannica, 1978a). As the population expanded and larger
buildings were required, more sophisticated construction techniques were developed including
the use of adobe. These had the advantage that they could be produced where mud was plentiful
and transported to the required construction site. It is therefore reasonable to assume that the
first voussoir arch was an adobe structure. Later, quarried stone could also be transported to
wherever required since labour costs were low in those days. The natural development of

Engineering led to voussoir arch bridges being constructed from quarried stone blocks.

It is not known when the arch was first used in the Far East. Howe (1897) stated that Public
Works were executed in China from 2900 B.C. and may have involved the construction of arch
bridges. However, he provided no evidence to substantiate this. There are some ancient
Chinese arch bridges such as the Seventh century Chauchow Bridge (Ling-Xi, 1987). Knapp
(1992) pointed out that the earliest Chinese artifact found which provided evidence of the use
of arch bridges was in a Han tomb (25-220 A.D.). There were many well documented, equally
ancient, European arch bridges, for example the old London Bridge and the medieval Exe
Bridge (Brierley, 1979), which were constructed in the Twelfth Century. The economic
development of this part of the world dictated that many of these bridges have since been
demolished to make way for structures which are wider, stronger and provide less of an
obstruction to the waterway below. A different economic situation in China may have led to
their bridge stock being subjected to fewer heavy vehicles and resulted in their survival.
Therefore, it may be a mistake to observe ancient Chinese arch bridges and conclude that this

was where this structure originated.

In the west, the ancient Greeks knew of the arch but their architecture precluded their use. An
exception to this were the beehive tombs at Mycenae. Instead, massive stone and timber lintels
were preferred. Once again, the longevity of stone has meant that only structures with stone
lintels have survived whereas no structure has retained its original timber roof. However, the
greatest bridge builders of antiquity were the Romans. Three of their most important
contributions to Civil Engineering were the discovery of a natural cement, the cofferdam, and

the semi-circular masonry arch (Encyclopedia Britannica, 1978b).
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Many Roman bridges had timber superstructures; none have survived. Masonry arch bridges
were only used where economics, ground conditions, and resources were favourable. Smith
N.A.F. (1993) pointed out that, "those Roman structures on which we are encouraged to base

our historical and structural interpretations are not necessarily typical”.

Many Roman masonry arch bridges were built with adequate piers which sometimes
incorporated flood relief tunnels within them. In spite of these precautions only the well
maintained or unused bridges have survived. Many Roman bridges were made good by the
addition of medieval downstream weirs, starlings and break waters. However, the magnificence
of the Pont du Gard aqueduct, shown diagrammatically in figure 2.1, and the Pons Milvius,

amongst others, cannot go unnoticed.

QNN

SOV W W W WM W W
RS aans =

Figure 2.1 Impression of the Pont Du Gard Aqueduct

The Roman Engineer must have possessed some knowledge of arch stability. Variations in the
dates and styles of successive piers in the Narni Bridge indicate a construction sequence which
was from end-to-end rather than bottom-to-top. In the Pont du Gard, it appears that the same
set of three falsework frames were used, one at each level, as the aqueduct was constructed

from end-to-end.
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After the waning of the Roman empire there
was a prolonged period in the west in which
the arch, amongst other things, was
forgotten. In medieval times, the pointed
gothic arch became fashionable and actually
represented a significant step forward in arch
construction. As shown in figure 2.2, the
pointed gothic arch solved the problem of
intersecting unequal spans. Within this
period, aesthetics appeared to take priority
over stability. Builders tried to minimise the

thickness of the arch and consequently there

were many disasters. Figure 2.2 Pointed Gothic Arch
2.2 Seventeenth and Eighteenth Centuries
2.2.1 Theoretical Development

Hooke (1675) was the first modern Engineer to consider the behaviour of the masonry arch.
He wrote, "Ut pendet continuum flexile, sic stabit contiguum rigidum inversum", which
translates thus, "as hangs the flexible line so but inverted stands the rigid arch”. It was a
criticism of Hooke that he anticipated the results of others. Whilst this was certainly possible
given his position as Curator of experiments at the Royal Society, in this case it seems unlikely
since the above statement was issued twenty two years before Gregory (1697) continued with
this approach. Hooke had been unable to present a mathematical solution to the problem

although he had experimentally demonstrated his idea to the Royal Society.

Gregory used Newton’s recently invented method of fluxions, i.e., differential calculus, to
determine the shape of an infinitely thin suspended chain. Gregory explained that the catenary
is the shape that is required to maintain equilibrium and is therefore, when inverted, the true

shape of an arch.

La Hire (1695) set out to determine the thrust that an arch exerts on its abutments. He assumed
that the voussoirs were frictionless and attempted to calculate the vertical force required on each
to maintain equilibrium. He solved the problem graphically by constructing the polygon of

forces and the corresponding funicular polygon. However, as shown in figure 2.3, when he
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examined a semi circular arch with horizontal springings he realised that voussoirs having

infinite weight would be required at the springing and thus such an arch could not stand.

Figure 2.3 Arch Analysis after La Hire

The minimum vertical load was required at the keystone. Each successive voussoir required a

larger vertical force in order to equilibrate it and thereby complete its triangle of forces. At the

voussoir adjacent to the springing, the triangle of forces cannot be formed. Thus, La Hire

realised that friction must be incorporated into the analysis.

La Hire (1712) returned to the problem of the
masonry arch but considered the way in which it
failed. As shown in figure 2.4, it had been observed
that when the piers were not strong enough the arch
failed at some point along its haunch. He described
the mode of failure as a rupture although modern
Engineers now describe it as a hinge. He developed
a relationship which expressed the arch thrust and
self weight as an overturning moment so that the
stability of the pier could be checked. However, no
rule for determining the exact location of the rupture
was given. His positioning of the arch thrust at the
crown also demonstrated a less than complete

understanding of the problem.

P2

Figure 2.4 Arch Failure after La Hire

Couplet (1729) attempted to determine the correct dimensions of piers. In order to do this he

needed to analyse the arch and assumed that the voussoirs were frictionless. In his later work

Couplet (1730) corrected this mistake and stated that it was more realistic to assume that friction
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was sufficiently great to prevent sliding. He also stated that voussoirs would offer no resistance
to the opening of their joints at collapse and that, due to infinite compressive strength, failure
could only take place by hinging at the extremities of the arch section. Couplet considered only
symmetrical loading and concluded that an arch could not collapse if the chord of half its
extrados could be contained within the thickness of its barrel. He pursued this point in search
of the minimum arch thickness. Herein lies his only mistake. He assumed that intrados hinges

would form at 45° to the horizontal and hence arrived at the conclusion that (t/R)_;,,=0.101.

Couplet’s understanding of the mechanics of collapse and the notion of a line of thrust clearly
distinguish him as being considerably ahead of his time. He had actually stated the assumptions

required for the basic mechanism method as used today.

In 1748 Poleni (Heyman, 1972; 1988) was the first to apply the existing theory to a three-
dimensional problem. In 1743 he was commissioned to report on the cracking which had been
observed in the dome of St. Peter’s Cathedral in Rome. He divided the dome into a number
of radial slices (lunes) and postulated that if a line of thrust could be contained within each lune

it is safe and if each lune is safe the dome must also be safe.

Coulomb (1773) made no reference to the work of Couplet and it cannot be disproved that he
arrived at similar conclusions independently. Coulomb was generally much more rigorous in
his approach and did not make the same mistake regarding the position of the intrados hinges.

Hence, he arrived at the correct solution that (t/R),,,=0.106.

2.2.2 Constructional Developments

Gautier (1717) published what was considered to be the most significant contribution to arch
construction of its time although it did not advance arch theory. His book was a practical guide
on all aspects of arch construction and included empirical rules for proportioning piers and the
thickness of the arch. It also discussed hollow spandrels as a means of both reducing the weight
of the structure and flood protection but did not consider the effect that this might have on the

overall stability of the structure; a point recently taken up by Melbourne and Tao (1995).

In 1736 construction began on Westminster Bridge. Batty Langley’s design (Ruddock, 1979)
was to use, for the first time in Great Britain, voided spandrels to balance the thrust from
adjacent unequal spans. However, during construction one of the piers began to sink. Thc
contractor, Labelye (1751), received proposals for remedial measures and eventually constructed
a counter arch springing off the haunches of the two adjacent arches so that the pier was

effectively isolated. Consequently large internal voids were created. The development of
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construction techniques and Engineering judgement had reached a level that enabled Engineers

to carry out these measures with confidence.

Edwards’ four attempts to bridge the River Taff at Pontypridd (Morgan, 1764) provided an
invaluable opportunity to extend the current understanding of arch behaviour and construction
requirements. His first three attempts failed. It was noted that the third failure occurred
because there was insufficient material above the crown to resist the effects of relatively large
amounts of material above the haunches. His fourth attempt, as shown in figure 2.5, included

circular openings through the spandrels and remains to date.

Figure 2.5 Edwards’ fourth bridge at Pontypridd

The construction of Blackfriars Bridge by Smeaton (1754) illustrates the lack of theoretical
knowledge coupled with a rapidly developing sense of what was, at least, safe. Smeaton
prepared a list of dimensions of existing arch bridges. His list revealed that, when the ratio of
span to crown thickness was greater than 36, counter arches had been used as in Westminster
Bridge. Some of the bridges had shown signs of what had been concluded to have been the
cause of collapse of the third bridge over the River Taff. Thus, Smeaton had acquired some

knowledge of what was required without depending on the earlier work of Gautier.

Smeaton (Ruddock E., 1974) felt that hollow spandrels were a compromise between strength
and foundation loads. After the failure of a bridge at Edinburgh he recommended, "any method
of arching in the spandrils between great arches that will effectually save weight [sic.] ". At
Perth he decided to use internal spandrel walls and thereby effectively setting a precedent.
Smeaton was sufficiently knowledgeable to realise that, depending on ground conditions, such

measures were not always necessary.

Perronet (1780) was the first director of the newly formed Ecole des Ponts et Chaussées. He
realised that the thrust from adjacent spans could be used to balance each other. Thus, he

understood that only the abutments needed to be designed to resist horizontal forces. This gave
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other Engineers the confidence to be able to reduce the width of piers, which had previously
been taken as one-fifth of the span. to one-tenth of the span. The fact that adjacent spans could
be used to balance each other led him to conclude that flatter arches could also be constructed
with confidence. However, he may not have appreciated the extent to which the abutments

would need to be enlarged in order to resist the increased horizontal forces.

2.2.3 Experimental Research

Gautier (1717) was the first to record the results of a series of model tests. He was attempting
to determine the magnitude of the abutment thrust. He built half-arches from wooden blocks
and piled up other blocks at the springing in order to maintain equilibrium. He removed the
backing blocks incrementally until failure occurred, at which point the weight of the remaining

backing blocks was recorded.

It was Frézier (1737) who

discussed the determination of

arch thrusts and the required

dimensions of piers. He

published the work of Danyzy
(1732), as shown in figure 2.6,

who had experimentally

verified Couplet’s predictions

using model arches which were

formed from plaster voussoirs.

Figure 2.6 Results from Danyzy’s Tests (1732)
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2.3 Nineteenth Century

2.3.1 Experimental Research

Boistard (1800) carried out a series of tests on model voussoir arches with the intention of
determining the exact mode of collapse, the minimum size of piers, and the force exerted on
the centring during construction. He noted that during construction and before the keystone was
fitted, several voussoirs in the haunch were no longer in contact with the centring. He
concluded that this fact had probably been exploited by the Romans and explained the

construction sequence employed on the Pont du Gard aqueduct.

Robison (1822) carried out model tests on arches whose voussoirs were formed from chalk.
He was able to reproduce the failure of a real bridge that he had recently observed. The
voussoirs of this bridge were of soft stone and collapse had been due to a compressive failure

of the masonry. The practice of constructing and testing model arches was therefore verified.

Barlow (1846) concluded that if the thickness
of an arch was more than sufficient to

contain the single line of thrust that a thinner

arch would contain at failure, then more than
one such curve could be drawn, each of
which was as possible as any other. He

proved this by experiment, as shown in

figure 2.7, in which voussoirs were separated
by joints formed from several wooden
blocks. He demonstrated that many different

combinations of blocks could be removed

whilst preserving equilibrium.

Figure 2.7 Barlow’s Experimental arch

Jenkins (1876) was well aware of the notion that more than one line of thrust exists within an
arch when the applied load was small. He devised an ingenious model to demonstrate that the
line of thrust adjusted itself in order to maintain equilibrium. His model arch was constructed
with curved voussoirs so that they could rock when loaded and the change in the position of the

line of thrust could be observed.
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The Austrian Society of Engineers (1890) carried out a series of tests to determine the load-
deflection response of arches and to establish whether it was linear or non-linear. They

concluded that, since it was approximately linear, Castigliano’s assumptions were valid.

2.3.2 Theoretical Development

Ware (1809) added to Gregory’s work, the statement, "and when an arch of any other figure
is supported it is because in its thickness some catenary is included". Thus, it is possible to

interpret this as the origin of the lower bound theorem of collapse.

Rondelet (1812) presented a resumé of early work but unlike Gauthey concentrated on
theoretical developments. His experimental results led to the development of new theories by

researchers such as Lamé and Navier in the following few years.

Hutton (1812) gave an account of what is now referred to as the lower bound theorem of

collapse. His work is a useful record of the state of knowledge up to that point.

Lamé and Clapeyron (1823) claimed to have
developed the concept of a hinged failure
mechanism in ignorance of the work of
Couplet and Boistard. Likewise, they also
determined the position of the intrados
hinges by a method similar to that used by

Coulomb.

They stated that the three forces viz., the
thrust at two adjacent hinges (which must
also be tangential to the arch) and the weight
of the material between the hinges (see Figure 2.8 Force Equilibrium after Lamé and
figure 2.8), must act through the same point Clapeyron
in order that the structure be in equilibrium.

This, they stated, once again in ignorance of its earlier use by Coulomb 50 years earlier.

Navier (1826) established a straight line law for the pressure distribution across the bearing
surface of a voussoir. Thus, he also showed that tensile strains occur if the line of thrust falls
outside the middle third. Coulomb had stated that if an arch was stable then the thrust must lie
between certain limits. Navier now defined these limits as the middle-third and said that the

arch would be safe if the thrust line is contained within these limits.
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Moseley (1835) developed arch theory independently of Coulomb but made similar conclusions.
His contribution is noteworthy since he was the first British scientist to develop the line of thrust
principle. He concluded that the line of thrust must be contained within the arch and its

inclination to each joint must not exceed the angle of friction of the arch material.

Villarceau (1845) knew that an infinite number of possible thrust lines exist in a statically
indeterminate structure such as the arch. He assumed that one possible line of thrust was
coincident with the centre line of the arch and developed a safe design method. His numerical

solutions of the equations were presented in the form of tables to be used by bridge designers.

Snell (1846) considered the stability of arches. He determined the amount of thickening towards
the abutments that was required to ensure that the line of thrust remained within the barrel. He
introduced material failure so that the position of the line of thrust could be modified. He used
Lamé’s method and extended it into a trial and error method for analysing unsymmetrical load

cases.

Rankine (1862) adopted the middle-third rule and produced a design method based on it. This
method required that the line of thrust produced by a symmetrical system of distributed loads
is initially assumed to be parallel to the intended shape of the intrados. He used Navier’s
formula for the thrust at the crown and found that, in order to preserve equilibrium, a system
of horizontal pressures were required. The pressures were required to change direction at a
certain height. Below this point. the arch is included in the abutments and is backed
accordingly. Above this point, the arch is designed for the maximum horizontal pressure.
Rankine stated that, "the stability of an arch is secure if a linear arch (line of thrust) balanced
under the forces which act on a real arch can be drawn within the middle third of the arch

ring".

Fuller (1875) developed a graphical method for determining the location of the line of thrust due
to any symmetrical set of loads. However, Jennings (1985) showed that, in order to analyse
unsymmetrical load cases, the method must be extended to include shear effects. This would
require an iterative process in which the line of thrust was adjusted until equilibrium was
established. He remarked that the arrival of the computer has rendered this method redundant

particularly when the method is used correctly, i.e. iteratively.

The search for the true line of thrust continued with several authors proposing rules for how it
might be calculated. Winkler (1879) was the one who came closest to what Castigliano
eventually produced. He defined the line of thrust to be the locus of points for which the sum
of the squares of its distance from the centre line of the arch was a minimum. This was almost

stating that the strain energy due to bending must be minimised.
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Castigliano (1879) developed the theorem of minimum strain energy. This theorem expressed
the elastic extension of a body due to the imposition of a load in terms of the bending moment,
shear force and axial force developed within it. He deduced that the elastic extension would be
such that the strain energy would be minimised. He assumed that the arch was an encastré rib
and minimised the strain energy to calculate the resultant reactions. He repeatedly analysed an
arch until all tensile sections within it had been removed and an effective arch depth whose

section was entirely in compression was produced.

2.33 Constructional Developments

Gauthey’s (1809) "Traité de la construction des ponts" appeared two years after his death. It
assembled all theoretical and experimental work known to the Ecole des Ponts et Chaussées at
that time. However his references to the masonry arch tended to concentrate on practical

guidelines.

Perronet’s Pont du Neuilly was completed in 1774. It was constructed with a tapering section
in order to ease the effects of the River Seine when in flood and incorporated flood relief
tunnels and hollow spandrels. In 1826 Telford replicated the architectural details of this bridge

when he constructed the 45.7 m span bridge at Over, shown diagrammatically in figure 2.9.
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Figure 2.9 Telford’s Bridge at Over

Given the limited theoretical and experimental developments that had taken place by 1826 it is
reasonable to assume that the proportions of new bridges were determined by examining what
had been successful or unsuccessful elsewhere. An empirical method such as this may produce

a conservative design. However, in this case, it led to the survival of this bridge.

Telford had been misled by the ground investigation crew who reported that, "strong coarse

indurated gravel existed at foundation level”. The eastern abutment was actually founded on
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very poor ground, this caused it to suffer continual settlement. The bridge survived because its

proportions were such that it could accommodate this movement.

Upon removal of the centring, Telford observed a 50 mm deflection of the crown which was
subsequently followed by a further 200 mm as the piers settled when loaded. Similarly, at the
Pont du Neuilly, Perronet had recorded a total deflection of 600 mm. However, Perronet had
pre-set his bridge by 380 mm to allow for this; Telford did not. Telford’s bridge had been
reduced to a three-pinned arch and had continued to deteriorate until in 1880 it was underpinned

and the deterioration arrested.

2.4 Twentieth Century

2.4.1 Constructional Development

The construction of masonry arch bridges continued well into the twentieth century. The Pont
Adolphe in Luxembourg by Séjourné, as shown diagrammatically in figure 2.10, was completed
in 1903. It has a massive 84.66 m span and was thought to be the largest masonry arch in the

world until the arch at Plauen (89.0 m span) was completed in 1923 by Liebold.
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Figure 2.10 Pont Adolphe at Luxembourg

The details adopted by Séjourné highlight the advances made in arch construction. The massive
span, hollow spandrels and light weight structure indicate a practical understanding of the

masonry arch which extended far beyond theoretical developments.
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In China, the cost of materials and available labour still make masonry arch construction
economically viable. Yi-Sheng (1978) described several masonry arch bridges built throughout
China during the latter part of this century. Many of these bridges were architecturally similar
to the Chauchow Bridge, as was the Pont Adolphe, such as the 112.5 m. span Changhung
Bridge over the Nanpun River, Yunnan which was completed in 1961. In 1972, the span of this
bridge was exceeded by the 116.0 m span Chiuhsikou Bridge in Szechuan Province. However,
the largest masonry arch bridge today is the 120.0 m span bridge over the Wachao River in

Hunan Province which was built in 1990.

2.4.2 Experimental Research

Pippard et al. (1936) carried out a series of tests on arches which comprised accurately
machined steel voussoirs. They did this so that the elastic properties of the arch components
could be reliably established. Each voussoir was formed so that they could be fitted together
in any order and the arch constructed with either pin, roller or encastré supports. When the
experimental results were compared with predictions made by Castigliano’s strain energy theory

good correlations was noticed.

Pippard and Ashby (1939) carried out a series of 23 tests on concrete voussoir arches with two
different types of mortar viz., with lime or with cement. All arches were supported encastré.
The experimental results obtained by loading each successive arch on consecutive voussoirs
revealed that with lime mortar the line of thrust was often well outside the middle third before
tensile cracking was observed. When cement mortar was used, the line of thrust could fall
outside the bounds of the arch without causing failure since significant tensile stresses could be
resisted. Crushing of the voussoirs was observed to cause premature instability in a few tests

and was accompanied by sliding failures at these locations.

This work enabled Pippard to determine the criteria upon which his elastic method of analysis
was based. He allowed tensile stresses to be developed provided that the line of thrust did not
leave the middle half of the section and he prescribed a permissible compressive stress.

Pippard’s work was later incorporated into the MEXE method.

Davey (1953) reported the results of load tests on twenty one existing bridges. Several of these
bridges were skewed but unfortunately none of these were included in the three which were
tested to destruction. His objectives were to determine the amount of load dispersion through
the backfill, investigate the transverse distribution of load within the arch barrel, assess the

contribution of the backfill and spandrel walls and examine the effect of spreading abutments.
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Davey concluded that movement of the abutments is both significant and highly variable. When
the load is above the abutment, they move inwards which may be accompanied by an upward
movement of the crown. When the load is above the span they move outwards. The non-
uniform movement of the abutments is a function of the variability of the masonry within the
barrel, the quality of the backfill and the quality of the foundations. Transverse cracking
between voussoirs occurred under a relatively low load. These cracks closed when the load was
removed. Thus, Davey rightly concluded that the presence of cracks does not entail collapse.
He noted that during the destructive tests, diagonal cracking within the arch barrel occurred and
he likened these to the yield lines observed within a flat slab when subjected to similar loading.
He also concluded that the backfill material could make a significant contribution to the strength

of the arch and that creep under a heavy and sustained load could be significant.

Chettoe and Henderson (1957) extended the work of Davey except that they did not carry out
any destructive tests nor did they use such an extensive array of deflection gauges. Four of the
eight single span arches that were tested were skewed and it appears that the structures were
selected for testing on the basis of maximising the possibility of comparing similar bridges.
They remarked on the difficulties such a comparative study posed. This was especially true
when one tries to compare Davey'’s tests to their own. In this case, not only was the geometry

of each bridge different in some way but the loading arrangement also differed.

They concluded that the load-crown deflection was approximately linear. Pippard pointed out
that the response was actually bi-linear and suggested that this was due to the reduction of the

structure’s indeterminacy caused by the formation of the first hinge.

Just as Davey had done, Chettoe and Henderson observed non-uniform abutment movements.
Some hysteresis was observed after each load-unload cycle and cracks which had opened during
loading closed when it was removed. They concluded that it was reasonable to assume a 45°
spread of load through the backfill since this assumption led to a close correlation between

measured values and their effective width calculations.

At one of the bridges viz., Crawley Down, vertical cracks in the parapet above the springings
were noticed before the tests. These cracks were observed to open at a quite early stage of
loading and to close after the removal of the load. They wrongly deduced that since the
spandrel walls moved freely that their influence upon the carrying capacity of the arch was
negligible. By comparing two similar arches in which the 34° skewed arch produced a crown
deflection of 60% of the square span arch, they concluded that the difference was attributable

to the randomly produced composite action of backfill and arch. These errors will be discussed

later.
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Significantly, they incorrectly concluded that they could see no reason to deduce that skew
weakens the structure. This conclusion is fallacious; their measurements concurred with those
of this project, i.e., that skew increases the stiffness of the structure. Furthermore, the results
of this project also indicate that skew weakens an arch bridge. Thus, a correct conclusion

would have been that it is incorrect to base the safety of an arch on its stiffness.

Beginning in the mid-1980’s, the Transport and Road Research Laboratory, T.R.R.L. (now
called T.R.L.) carried out a series of destructive tests on arch bridges. Some of these tests were
carried out by themselves and others were contracted out. With the exception of two bridges,

all were tested to collapse.

Hendry et al. (1985) carried out the T.R.R.L. field test on Bridgemill Bridge. This was a fairly
flat voussoir arch constructed from dressed sandstone. This bridge was not tested to failure due

to the limited travel in the loading system.

Hendry et al. (1986) carried out the T.R.R.L. field test on Bargower Bridge. This was a 16°
skewed semi circular voussoir arch with a large depth of cover. Failure was due to a
compressive failure of the arch beneath the loading position. However, the results must be
assumed to be unreliable since the rock backfill above its haunches meant that the load was

actually being applied near the springings.

Page (1987) carried out the T.R.R.L. field tests on the Preston and Prestwood bridges. The
former bridge was a 17° skewed elliptical voussoir arch with brick spandrels. Failure was by
a compressive failure under the load. The latter bridge was a deformed brick arch which had

its parapets removed before testing. It failed due to the formation of a four-hinge mechanism.

Page (1988) carried out the T.R.R.L. field tests on the Torksey and Shinafoot bridges. The
former bridge was a segmental brickwork arch with a small amount of backing. Its failure was
reported as a three-hinge snap through. The latter bridge was a random rubble segmental arch

which failed due to the formation of a four-hinge mechanism.

Page (1989a) carried out the T.R.R.L. field tests on the Barlae and Strathmashie bridges. The
former bridge was a 29° skewed segmental voussoir arch. It failed due to the formation of
hinged mechanism. The hinges were generally parallel to the abutments, this was facilitated by
the stiffening effect of internal spandrel walls and a masonry backing. The latter bridge was
a disused random rubble arch. It had stepped spandrel walls which probably supported the

loading beam. Thus, it failed when the spandrel walls collapsed.

Harvey et al. (1989) carried out the T.R.R.L laboratory test on a full scale model bridge.
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Unfortunately, due to the poor design of the test rig, in which structural deformations were
inhibited, failure of the arch was not possible and, had it been possible, would not have been

through a realistic mechanism.

Melbourne and Walker (1990a) carried out the T.R.R.L laboratory test on a full scale model
bridge. Failure was due to a diffused four-hinge mechanism which was facilitated by ring
separation. An interpretative analysis of the results including the effect of the spandrel walls
and the backfill was attempted. This work substantiated the significant effects that each of these

parameters had upon the behaviour of the arch bridge.

Royles and Hendry (1991) carried out a series of tests on 24 model arches with the aim of
investigating the influence that backfill material, spandrel walls and wing walls had upon the
behaviour of the masonry arch. It had been noted that in earlier work (Hendry, 1985; 1986)
the results of full scale tests indicated that the strength of an arch may considerably exceed that
which is predicted by the analysis of a two-dimensional section of it. Two of the arches tested
were actually scale models of bridges which had been tested either to failure or as close to
failure as possible (Bridgemill and Bargower) so that validation and comparisons could be

carried out.

It was concluded that a substantial strengthening effect is produced when spandrel and wing
walls interact with the arch barrel. This effect increases as the span/rise ratio decreases. They
illustrated this conclusion with the two-dimensional models shown in figure 2.11.

Without spandrel walls, the maximum load
that the arch sustained was 100 N. When
spandrel walls were included, the capacity of
the same arch increased to 150 N. When the

movement of the walls was restrained the

capacity increased to 320 N.

The presence of spandrel walls produced a

shift in the location of the second, in-span,

hinge. The minimisation of the effort

required by the structure to balance the
applied load produced the above shift. In its
earlier location, additional effort would have  Figure 2.11 Hendry’s Models

been required since a larger number of

spandrel blocks would have been involved in the collapse mechanism. A kinematically

admissible collapse state demanding less load could be found as shown in figure 2.11b.
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2.4.3 Theoretical Developments

Selberg (1953) produced the first analytical method which could incorporate the spandrel walls.
He realised that the arch could not be converted into a four-hinged mechanism if the

"superstructure” could provide an effective restraint to it.
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Figure 2.12 Arch Analysis after Selberg

In his method, the superstructure was divided into a finite number of vertical slices each of
which had an accompanying section of arch. The superstructure element was subjected to self
weight, any live load, and frictional forces between it and the three adjacent blocks. The arch
element was subjected to its weight and the thrust within the arch. The graphical method
involves drawing the force polygon and by adjusting the forces on each block eventually
achieving equilibrium. Hewever, it is possible to equilibrate the system under any live loading.
This problem is overcome by the inclusion of a yield criterion which forces the Engineer to
adjust the gradient, and hence the eccentricity, of the thrust line. It is worth noting that the
spandrel walls play an important part in this method. In the case of hollow spandrels, the

maximum load that is predicted is greatly reduced but is not zero.

Pippard et al. carried out many tests on model voussoir arches. It was concluded that at low
loads the response of such structures was linear. It was also observed that failure was due to

a hinged mechanism.

When Pippard (1948) worked at the Military Engineering Experimental Establishment he

continued with Castigliano’s minimum strain energy theorem. His earlier experimental work
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had shown that restricting the line of thrust to the middle third was too conservative so the
limiting tensile stress of 1.4 N/mm® was adopted. The basis of the M.E.X.E. method has been
dealt with by several workers including Heyman (1966) and can also be found in the Department
of Transport standard (1984). Thus, it is not proposed that a further summary of this method
be given in this text. However, it must be noted that for many years the M.E.X.E. method has
been the Assessment Engineer’s primary tool and that it continues to attract its advocates owing

to its simplicity and speed of use.

Pippard and Baker (1957) presented details of the calculations necessary to determine the load
required to produce a mechanism. This was a repeat of earlier work carried out by Pippard
(1951) in which a review of the theory of the voussoir arch was presented in conjunction with

a summary of his work to date.

Greenberg and Prager (1951) proved that limit analysis of perfectly plastic beams depended
upon two fundamental theorems. Drucker, Greenberg and Prager (1952) later proved that the
theorems remained valid when applied to more general problems and yield conditions.
Kooharian (1952) was the first to demonstrate that masonry could be treated in a similar manner

to the way in which steel beams were treated in limit analysis.
The two theorems were stated:

1. Collapse will not occur if at each stage of loading a safe, statically admissible

state can be found,

2. Collapse will occur if a kinematically admissible collapse state can be found.
Heyman (1966) produced the yield surface for masonry in terms of a bending moment-axial
force interaction diagram. He thereby demonstrated that masonry could be analysed using either
of the two limit state theorems. He expressed these two theorems in language that was specific
to the masonry arch and which was more useable for the Engineer.

Heyman’s "safe" theorem states:

The structure is safe if a line of thrust can be found which is in equilibrium

with the external loads and which lies wholly within the masonry.
Embedded within his uniqueness theorem was the upper bound theorem:

If a line of thrust can be found which represents an equilibrium state for the

structure under the action of the given external loads, which lies wholly within
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the masonry, and which allows the formation of sufficient hinges to transform
the structure into a mechanism, then the structure is on the point of collapse.
Further, it the loads are each proportional to one of their member and are
increased from their working values to their collapse values by a load factor,

the value of the load factor at collapse is unique.

Heyman stated the assumptions required in order that his two theorems remained valid. Firstly,
friction between adjacent blocks was assumed to be so great that sliding failures were not
possible. Secondly, the arch comprised infinitely strong blocks. Thirdly, these blocks were
incompressible ,i.e., that each block possesses an infinite modulus of elasticity. This meant that
collapse was only possible through a hinged mechanism; the strength of the blocks ensured that
the hinges occurred at the extremes of the arch. Fourthly, the arch had no tensile strength.
Thus, cracking occurred when the line of thrust moved outside the middle third and collapse

when it moved outside the arch.

Heyman (1969) developed his earlier ideas into his "plastic" analysis method which was based
on the above assumptions. He also defined a geometric factor of safety which was simply the

ratio of the actual arch thickness to its theoretical minimum thickness.

Figure 2.13, below, shows the ultimate load and associated line of thrust for a 3.0 m span
segmental arch with span/rise=4.0 and span/depth=13.95 when horizontal backfill pressures
are ignored. The applied load is dispersed through the backfill but otherwise it resembles

Heyman’s method.

63.7 kN/m

\

53.1 kN/m AN
\
\\\ //\
35.5 kN/m i 531 kN/m
81.5 kN/m

Figure 2.13 Mechanism without horizontal soil pressures

Heyman et al. (1972; 1980) used the limit state theorems to assess the stability of a number of

bridges and thus demonstrated the applicability of these theorems. In his later work (Heyman,
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1972), the development of arch theory described in Coulomb’s Memoirs was interpreted in
terms of present day limit state theory. This book provides an excellent review of the

theoretical developments up to the beginning of the Nineteenth century.

The uniqueness theorem was of some relevance to Livesley whose early work (Livesley, 1973a;
1973b; 1974) concentrated on the development of an efficient computer algorithm for obtaining
an optimal solution to a bounded variables problem. He used this for obtaining the best design

of steel framed structures.

The first systematic method of finding an optimal solution to a bounded variables problem was
due to Dantzig et al. (1951). Charnes and Greenberg (1951) proved that the lower-bound and
the upper-bound theorems, when applied to the analysis of a truss, were actually dual linear
programming problems. Charnes, Lemke and Zienkiewicz (1959) provided a more general

proof of duality.

Livesley (1978) considered the limit state analysis of the masonry arch. He adapted his earlier
algorithm for this task. He considered the arch, in section, as a collection of contiguous rigid
blocks. In this method of determining a lower-bound on the collapse load it was necessary to
find the maximum value of the applied live load whilst ensuring that equilibrium was maintained
for each voussoir. Equilibrium equations expressing the applied live load and dead load in
terms of the three inter-block forces were developed. These three forces consisted of normal
forces at the extremes of the section, and a frictional force acting along the block interface. The
maximisation of the applied load was carried out subject to constraints that limited each
frictional force to a fraction of the total normal force at the particular interface. In other words.
the maximum possible live load was determined subject to equilibrium being maintained. The
use of Coulomb friction to model the shear force that resists sliding movements contravenes
limit state theory. However, as discussed in more detail in chapter 6, Livesley was able to

correct his predicted mechanism so that the lower-bound theorem of collapse was satisfied.

Walklate and Mann (1983; 1984) used Eddy’s theorem to develop an analysis technique in
which the position of the line of thrust was calculated. The applied load could then be adjusted
until the line of thrust is contained within bounds depending on whatever criteria the Engineer

wished to adopt. Eddy’s theorem is as follows:

The line of thrust in an arch has the same shape as the bending moment
diagram for those loads which placed on a simply supported beam of the same
span. The free bending moment at any section is equal to the product of the
horizontal thrust in the arch and the height of the line of thrust above the base

line at that point.
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This theorem is precisely that used by Pippard, Heyman and others when the line of thrust is

drawn.

Harvey (1986; 1987; 1988) adopted the method which had been described by Heyman in 1969.
Heyman had intended to demonstrate the usefulness and ease of application of plastic analysis.
Thus he had omitted horizontal backfill pressures. Harvey included them and justified it on the
grounds that the collapse load that the method now produced was closer to the load produced
by load tests. The method is based on small deflection theory in which changes to the geometry
of the structure are ignored. Passive backfill pressures are known to be related to the movement
of the arch and not proportional to the depth of backfill. Nevertheless. Harvey included
pressures which might be expected to occur behind a vertical wall but recommended that a

reduction factor be applied to these pressures.

Figure 2.14 shows the ultimate load and associated line of thrust for the same 3.0 m span arch
shown in figure 2.13. Horizontal backfill pressures are included in a more realistic way than

simply being proportional to depth.
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Figure 2.14 Mechanism with Horizontal soil pressures

Crisfield and Packham (1987) produced a mechanism method in which material failure was
introduced as a further constraint to the problem. Their method also permitted the inclusion of
horizontal backfill pressures. However, like Harvey had done, and without any better
theoretical guidance, they continued to apply these pressures as if they were those which would
be expected behind a vertical wall. They pointed out that whatever method was used, viz.,
moment equilibrium or virtual work, the collapse load would be the same. They also stated that
virtual work would be the better method since this does go some way to allowing passive

movement related pressures to be calculated.

Smith, Harvey and Vardy (1990) continued with the concept of a zone of thrust as opposed to
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a line of thrust (Harvey,1991). They described it as a band of material beyond the normal line
of thrust which is at the estimated compressive strength of the arch ring material. This
description relies on the assumption that the material is elastic-perfectly plastic. Material tests
would be required to justify the use of such an assumption since it has often been observed that

brittle failures occur when compression is high.

Taylor and Mallinder (1987; 1993) and Taylor (1991) have demonstrated that beyond the peak
stress there is a descending branch of the stress-strain curve for concrete voussoirs. Load tests
on other material reveal that sometimes the rate of descent is rapid, i.e. an elastic-brittle

material.

Smith (1991) produced his "load path analysis of masonry arches" in which the zone of thrust,
horizontal backfill pressures, the dispersal of the applied load through the spandrel fill and
several other features were included. It would appear that many of these features were included
to appease the practising Engineer. However, further research is required into the effects of

these features before the level of confidence implied by the method is realised.

Vilnay and Cheung (1986) made no reference to limit state analysis nor to non-linear
programming. They presented an example of a three voussoir arch. However, if they had
presented an example of an arch comprising more voussoirs they would have required the above
mathematical technique in order to solve it. They investigated the stability of an arch by
deriving an expression which related the applied load to the change in potential energy of the
arch. They stated that, "failure of the arch is conditioned by the existence of tensile forces".
They went onto explain this statement and actually meant that the line of thrust must be
contained within each joint. By checking that this was satisfied, the range of allowable
horizontal abutment thrusts could be determined. In their model, failure could only take place
by the formation of a hinged mechanism. They developed expressions for the horizontal and
vertical displacement of each block relative to its neighbour due to a rotation. They retained
second order terms in the expansion of these expressions. By summing these terms for all
blocks and equating them to the relative movement of the abutments further constraints to the
problem were generated. The potential energy of the system when displaced by a load was

minimised subject to the above constraints in order that the collapse load could be determined.

Cooke (1987) proposed a technique for the analysis of the masonry arch in which the change
in its potential energy was maximised in order to determine the collapse load. He based his
calculations on large deflection theory in which changes to the geometry of the arch were
incorporated as it reacted to the load. He incorrectly assumed that stability was maintained
beyond the stage at which a mechanism forms. He calculated the collapse load as the sum of

the load required to create a mechanism and the additional load required to cause instability.
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Crisfield, Jennings, Hughes and Vilnay (Cooke, 1988) corrected his formulation of the potential
energy and thus proved that the maximum load occurs when the mechanism is formed. In other
words. as Jennings pointed out, stability is lost when a mechanism forms. This fact has been

demonstrated many times during load tests.

Hughes and Vilnay (1988) produced details of an elastic method which extended the work of
Castigliano into an iterative procedure which was capable of predicting the collapse load of a
masonry arch. Their model was also able to include soil-structure interaction (Blackler, Hughes
and Bridle, 1990) in the form of linear springs attached to the arch whose stiffness was equal

to the modulus of subgrade reaction (Fomba, 1990).

In the elastic method, the arch is divided into a number of beams. The support reactions were
calculated using the principle of minimum strain energy. From equilibrium, the internal forces
within each beam could be calculated. These forces can then be used to calculate the deflections
and the stress distribution within each beam. Tension zones are removed and the stresses
redistributed until equilibrium is achieved. The applied load can then be increased and the
above process repeated until equilibrium can no longer be achieved, at which point the collapse

load is produced.

Jennings (1988) produced a mechanism method which required a repeated use of linear
programming to determine the correct mechanism and collapse load. He assumed that, "the fill
above each hogging/sagging hinge was in a state of active/passive failure when the arch
collapses”. Thus, for an assumed value of the horizontal abutment reactions, it is possible to
calculate the upper and lower bounds of a zone representing the permissible region within which
the line of thrust must be contained. This region defines the constraints of the problem. The
magnitude of the applied load is maximised subject to these constraints. Thus, in effect the
geometry of the arch is changed during this method so that the haunches of the arch are
thickened as if backing was included. Consequently, a significant increase in the load bearing

capacity of an arch can be achieved.

However, the basic assumption is questionable. Jennings adopted a pressure distribution within
the backfill which was proportional to depth. Experimental evidence reveals that this is
incorrect; backfill pressures are related to the movement of the arch barrel. Furthermore, the
arch must deform quite considerably before anything like maximum passive pressures can be
generated. At this point the collapse mechanism has already formed and the instability of the
structure is mirrored by the fact that the applied load would have to reduce in order to achieve
equilibrium and avoid a sudden collapse. When the arch is just on the point of being converted

into a mechanism, backfill pressures are much smaller than those produced during the post-

failure stage.
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Figure 2.15 Mechanism method after Jennings

Figure 2.15 shows the ultimate load and associated line of thrust for the same 3.0 m span arch
as shown in figure 2.13. Horizontal backfill pressures are included, but are limited to 50% of
the full passive capability, for the calculation of the revised geometry of the structure as

suggested by Jennings.

Livesley (1992a) extended his work to deal with multi-span structures and material yielding.
He attempted (Livesley, 1992b) to extend his method for the analysis of three-dimensional
structures. He remarked on the difficulty encountered when selecting a set of forces which
realistically modelled the behaviour of the joints. He also discussed the problems involved with
sliding and with transforming the constraints to a linear form. However, he obtained some
results for a three-dimensional analysis of a square span arch subjected to an eccentric point
load. His model consisted of only four blocks, a single block wide, and highlights the
computing effort required to solve realistic problems of a three-dimensional nature. However,
this work represents the first attempt to analyse a three-dimensional model through the use of

a mechanism method.

Boothby (1992b; 1992c¢) used the upper bound theorem of collapse to analyse an arch consisting
of a set of contiguous rigid blocks. He omitted sliding mechanisms and retained second order
terms in his formulation of the constraints. He therefore required non-linear programming to

obtain the minimum collapse load which satisfied the kinematic constraints.

Gilbert (1993) used the upper bound theorem of collapse to analyse the square arch bridge.
This, upper bound, technique will be discussed in more detail in chapter 6. However, Gilbert
proposed two extensions of this model for the analysis of multi-ring arches. The first model,
viz. the "plastic shearing” model, allowed blocks within adjacent rings to slide relative to each

other but these shear failures were associated with dilatant movements in accordance with the
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normality rule. The change in potential energy associated with these movements was adjusted
accordingly. The second model, viz. the "plastic cohesion" model, attempted to incorporate the
shear bond strength of the mortar by assuming that a force exists along each block at the
interface so that the potential energy associated with relative shear movements was enhanced by
the movement of these forces. However, in conflict with the findings of Stéckl and Hofmann
(1988) the mortar bond was modelled as rigid-plastic so that, if a shear bond strength was
sufficiently high so that ring separation was prevented, the predicted failure load was identical
to that of a voussoir arch. This is not correct, it will be shown in chapter 7 that the actual
elastic-plastic behaviour of the mortar bond will result in the behaviour of a multi-ring
brickwork arch being fundamentally different to that of a voussoir arch. Furthermore, it was
shown (Gilbert, 1993) that the predicted capacity of the multi-ring arch continues to increase

in proportion to the mortar bond strength beyond that of the voussoir arch.

Gilbert proposed several other extensions of this upper bound technique in order to incorporate
material yielding, multi-span arches and spandrel walls. Thus, neglecting Selberg’s method,
this was the first model to include spandrel walls. However, like all other theoretical models
to date, Gilbert’s was also two-dimensional. The inclusion of the spandrel walls was done by
analysing a section at mid-width and one at the edge and producing an estimate of the combined

collapse load on a pro rata basis.

Boothby (1994) again expressed the potential energy function in terms of the possible
movements of the structure but this time included an energy dissipation term to represent the
loss of energy due to sliding. In order to achieve this, he needed to calculate the set of normal
and tangential forces between each set of contiguous blocks. His method was a hybrid
approach, in which sliding was included in a similar manner to that adopted by Livesley, and
the movement of blocks was incorporated in a similar manner to that adopted by Gilbert.
However, he required non-linear programming techniques to determine the optimal solution to

his problem.

Chandler H.W. and Chandler C.M. (1995) attempted to use shell theory to produce a safe
lower-bound estimate of the load carrying behaviour of the skewed arch bridge. Their initial
statement that, "any stress field, regardless of its reasonableness, that satisfies equilibrium and
the boundary conditions and which does not exceed the yield criterion can be used to construct
a lower bound on the collapse load" is certainly safe and would naturally lead to a conclusion
that, "given suitable edge support, a skewed arch can withstand a normal pressure purely by
compressing the bedding joints of the brickwork". This may be true, and is certainly a lower-
bound on the actual method of load transfer and suggests that a two-dimensional analysis based
on the skew span is acceptable. However, although this is safe, a higher lower-bound, making

use of the lower-bound theorem of collapse which refers to a yield criterion, is required in order
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to increase the usefulness of this technique. Furthermore, the detachment of spandrel walls will

result in the loss of the required suitable edge support.

In the mid 1950’s efforts to solve continuum problems in elasticity by notionally dividing the
structure into small general element were very much overcome. Previously, such problems had
been attempted through the use of finite difference methods which became progressively more
tedious and frustrating as the problems were enlarged. Argyris was the first, in 1954, to publish
on a new numerical technique which, in 1960, Clough named the "finite element method"
(Argyris & Kelsey, 1960)

The basis of the finite element method is simple. A model of a structure is discretised into a
finite number of elements. Rules are developed which govern how a general element deforms
when loaded. When all elements are assembled and certain parts of it are restrained and other
parts of it are subjected to load, the structure can be solved in terms of the deformation of each

of its members.

A considerable amount of research into the finite element method has been carried out on the
use of arch and shell elements. Crisfield (1989) reviews this work. It was not specifically

aimed at masonry or brickwork and most of it tended to be within the elastic range.

The first application of the non-linear finite element method applied to the study of the
brickwork arch was due to Towler (1981). He adopted a one-dimensional model in which the
arch was idealised as a set of straight beam elements. Material non-linearity was incorporated
through the use of a no-tension material together with a parabolic compressive stress-strain
relationship. This enabled them to model the actual behaviour of their model arches which they
had load tested to destruction. The development of this approach was continued by Towler and
Sawko et al. (1982a; 1982b; 1984; 1985).

Crisfield (1984) also developed a non-linear finite element method using one-dimensional
elements. He idealised the arch as a set of locally shallow arches consisting of curved beam
elements. Geometric non-linearities were incorporated by large deflection theory. Material
non-linearities were incorporated by a bi-linear compressive stress-strain relationship and a no-

tension material.

Later, (Crisfield, 1985a; 1985b) a two-dimensional finite element model was developed. The
arch was modelled by eight-node plane stress quadrilaterals using the same elastic-perfectly
plastic material that had been used in the one-dimensional model. He found that the adoption
of an isotropic no-tension criterion allowed circumferential cracks to develop under dead load.

These cracks adversely affected the behaviour of the model when subsequently subjected to
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incremental live loading. He corrected this by resolving the material properties into the
circumferential and radial directions and specified the no-tension criterion in the circumferential
direction only. He also found that the usual way of calculating elemental strains was not
accurate enough and therefore developed a more accurate element with 2X8 Gaussian
integration points so that crack development could be monitored more closely. His model also
included the backfill which he modelled using eight-node plane strain quadrilateral elements with

which the Mohr-Coulomb yield criterion was adopted (Crisfield,1987).

Choo et al. (1990a; 1991b) developed a non-linear finite element analysis technique for the
masonry arch. Material non-linearities were modelled by assuming that the arch possessed no-
tensile strength and exhibited an elastic-perfect plastic behaviour in compression. The model
comprised one-dimensional beam elements. The load was applied in increments and the
structure solved at each stage. The nodal forces were used to calculate the depth of tensile
regions, which were subsequently removed. The stress distribution at each joint was also found
so that it balanced the nodal forces. The depth of any plastic zones, thus calculated, was
retained but was not included in the calculation of the elemental stiffness for the subsequent load
increment. The effective depth of the arch was reduced until it was no longer able to balance

the nodal forces.

Choo et al. (1990b; 1991b; 1992) extended their finite element work into two dimensions. The
arch was idealised as a set of eight-node quadrilateral elements. To simulate radial cracking,
elements were disconnected when tensile stresses greater than tensile strengths occurred in the
circumferential direction. To simulate ring separation, the quadrilateral elements within adjacent
rings were connected by joint elements. These elements had no lateral strength so that adjacent
rings were free to slide. However their normal stiffness ensured that no element would impinge
upon another. Frictional forces were calculated and applied at each end of the joint element
when sliding occurred. This model was also based on a more realistic parabolic stress-strain
relationship and instead of reducing the section when tensile stresses occurred, elements were

simply disconnected until no further load could be sustained.

Choo et al. (1993) developed a three-dimensional finite element method using curved shell
elements. The backfill was modelled by one-dimensional spring elements attached to the
extrados as had been done in each of the two previous models. They returned to the simplified
linear elastic-perfect plastic material with no tensile strength. The solution was sought in much
the same way as it had been done in the one-dimensional model, i.e., that the shell elements
were reduced in thickness until they could no longer sustain load. The model was used to

analyse a skewed arch, viz., Barlae Bridge and thus represents the first attempt to realistically

analyse skew.
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It was claimed that each of their finite element models could be adjusted so that the results of
load tests could be reproduced reasonably accurately. In particular, their three-dimensional
analysis of Barlae bridge (Choo et al., 1993) appeared to depend of this adjustment process; it
produced a value for the collapse load that was within 2% of the actual measured value.
However, their model should have predicted the twisting that the skewed arch undergoes when
it supports a load; it did not. Instead, it predicted a uniform deformed shape as if the arch was
not skewed. Despite being stiffened by internal spandrel walls and backing, Barlae bridge also
exhibited this twisting phenomenon. Furthermore, their analysis could not reproduce the
measured load-deflection response (Page; 1989). This suggests that there is a flaw in their
modelling procedure. The above phenomenon can be reproduced accurately by a finite element
analysis provided that the model is able to behave in a realistic way. If this is achieved, it is
unnecessary to adjust material properties; this will be demonstrated in the finite element

modelling presented in chapter 7.

Loo and Yang (1991a; 1991b) produced a non-linear finite element method which incorporated
more realistic failure criteria than simply imposing upper limits on the compressive stresses.
They adopted the results of the research of Dhanesehar et al. (1985) to model the arch behaviour
as a linear elastic-brittle material. However, convergence problems were encountered so they
introduced strain softening as a falling branch of the stress-strain relationship after the peak
value had been attained. They developed a biaxial failure surface with von Mises being adopted
when uniaxial compression occurred. Four-node isoparametric elements were used to model
the masonry and the backfill. When partial failure occurred, i.e., only one of the principal
stresses reached its limiting values the material was changed from having isotropic properties
to orthotropic properties. Thus the method used a smeared crack approach in which discrete

cracks were not introduced but were modelled by a change in the material properties.

Loo and Yang produced reasonable results when their model was subjected to concentrated loads
only. Their conclusion, when abutment settlement or spread was analysed, suggest that very
small movements would cause collapse. This does not seem reasonable and further work should

be carried out to investigate this phenomenon.
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3.0 Experimental Test Programme
3.1 Objectives

The principal objective of the experimental test programme was to develop the database of
quantitative information pertaining to the load bearing behaviour of skewed masonry arch
bridges. Thus, the behaviour of the above type of bridge would be unequivocally described and

the database used to facilitate the development of arch theory.

At the outset of this project very little information was available regarding the load carrying
behaviour of skewed arch bridges. Much of the documented knowledge was based on the non-
destructive field tests on skewed arch bridges that were carried out by Davey (1953) and those
that were later carried out by Chettoe and Henderson (1957). These testing programmes
produced data pertaining to the three-dimensional behaviour of skewed and square span arch
bridges. Unfortunately, the extent of this data was limited by the amount of instrumentation and
visual observations which were made. The data were rendered qualitative because of the
unknown material properties and construction details. These problems are significant arguments
against carrying out field tests. Certainly, the T.R.R.L. series of tests appeared to be beset by
such problems. The destructive field test carried out on Barlae Bridge (Page, 1989a) was the
first test on such a highly skewed arch bridge. Its internal construction details, as discovered
only after its collapse, dramatically influenced its behaviour. Internal spandrel walls and
thickened haunches caused it to behave almost like a square span structure. Without considering
its internal construction it could be possible to wrongly conclude that skew does not affect the

behaviour of arch bridges.

Laboratory tests have the advantage that the construction details can be unambiguously defined
and that material properties can be ascertained more reliably. The argument that laboratory tests
may not be realistic representations of actual structures can easily be refuted. Careful planning
of a test structure can remove the possibility that it will be forced to behave in an expected
manner and thereby verify some arbitrary theory. This is a comment frequently used to
describe the manner in which many arch bridges have been tested, viz., that applying a line-type
load parallel to the abutments will produce a certain type of behaviour. Multiple or single point
loads, or, in skewed arches, a line-type load perpendicular to the spandrel walls may produce

other types of behaviour which may be more onerous.

Whilst actual structures, when field tested, may behave in a "true" manner, their behaviour can
not be predicted by current arch theory. Factors which cannot be readily quantified include
variations in material properties, localised geometrical anomalies, non-uniform spreading and

rotation of the abutments, differential settlement, the type and degree of consolidation of the
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Superficially, it would appear that varying the angle of skew but otherwise constructing a set
of similar arch bridges would lead to a successful outcome. However, if such a programme was
devised, it would be possible that the "randomising” factors would make it difficult to clearly
define how skew affected the behaviour of an arch bridge. Such behavioral traits could be

overshadowed by the behaviour produced by the "randomising" factors.

It was reasoned that a potentially more successful programme would be to carry out tests on
structures in which the single altered feature could produce a significant change in behaviour.
Thus. tests on highly skewed arch bridges were carried out in which the effects produced by
detached spandrel walls and well compacted backfill could be examined. To adopt this
approach, similar square span structures would be required as control structures so that the

effects of skew could be ascertained.

The required square span control structures were part of previous research programmes carried
out at the Bolton Institute of Higher Education (Melbourne & Qazzaz, 1989; Melbourne &
Walker, 1990a, 1990b; Melbourne & Gilbert, 1991, 1992; Gilbert, 1993). These previously
tested square span arch bridges had been constructed and tested in similarly controlled
circumstances therefore using them as the control structures was both feasible and scientifically

justifiable.

Each square span control structure was constructed so that ring separation might occur as a
consequence of the monotonically increasing load. However, in two of them (refs: 3-0b and
3-0c), the occurrence of ring separation was prearranged so that its effects could be studied.
It was anticipated that the relative geometric simplicity of these structures would provide the
necessary information to enable a theoretical model to be developed. This would be a logical
starting point in the development of a modelling technique which could then be extended to
include similar ring separation phenomena in skewed arch bridges. Therefore, it was concluded
that the skewed arch bridges should also be constructed in a way that would not preclude ring

separation.

Ring separation may be the single most significant behavioural trait of multi-ring brickwork arch
bridges and could potentially overshadow any other "randomising"” factor and the effect
produced by a change in the geometry or construction detail of an arch bridge. Thus, the single
in-built change in the common construction details was designed to have an effect large enough
to be observable whatever the magnitude of the "randomising" factors. This was the most
important reason for the selection of the test programme as summarised in table 3.1. The
alternative would have been to physically prevent ring separation by either constructing voussoir
arch bridges or to use headers in order to ensure that multiple rings acted compositely.

However, it is impractical to construct multi-ring skewed arch bridges with headers and this
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3.4 Description of Load Tests on model bridges

The dimensions of the apparatus through which loads were applied to each structure precluded
the application of point loads and knife edge loads. Furthermore, had the application of such
loads been possible, localised failures of the materials would have occurred. However, these
terms will be retained when referring to the applied loading which actually comprised patch
loads. For the 3.0 m span arch bridges these patches measured 330 X 330 mm and 2200 X
200 mm respectively. For the 1.2 m span arch bridges point loads only were applied over a

patch measuring 150 X 150 mm.

3.4.1 3.0 m span arch bridges

Each bridge was eventually loaded to failure through the application of a monotonic increasing
line load positioned at the South quarter-point parallel to the abutments. Prior to the failure test,
a number of vertical point loads and line loads were applied at various positions. The intention

was to simulate the passage of a vehicle albeit without any dynamic effects.

The instrumentation was monitored throughout all tests. The tests carried out prior to the

failure test were carried out for several reasons, including:
(1) to obtain data pertaining to the three-dimensional behaviour of the bridge to
loads within the serviceability range,
(i1) to provide data to enable the performance of the instrumentation to be

ascertained prior to the failure load test.

Figures 3.3 to 3.6 show the general arrangement of the bridge reference 3-1 to 3-4 respectively:
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were applied at the crown and then at 200 mm. increments towards the South abutment and
parallel to it. The load was applied in increments until the maximum was reached at which
point the structure was unloaded. This procedure was carried out three times so that "plastic”

deformations, if present, could be distinguished from "elastic" deformations.

In the case of the point load tests a 330 X 330 mm steel loading block was substituted for the
loading beam and a similar triple load-unload cycle was performed. Figure 3.7 shows the

position of point loads applied to the arch bridges.
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Bridge skew Maximum Offset™ (m)
Reference Point Load ) SRS & X3 Xy X X X; X
3-1 23.0°  100kN 1.22 0.00 1.32 1.16 - 1.16 - 1.20
3-2 45.5° SOkN 1.18 .00 - 1.18 1.18 - - 1.18
3-3 42.2°  125kN 0.77 0.00 0.77 0.77 0.77 0.77 0.00 0.77
34 43.9°  100kN 1.20 0.00 1.20 1.20 1.20 1.20 0.00 1.20
+ "-" indicates that a patch load was not applied at this location

Figure 3.8 Point Loads applied to skewed arch bridges

Finally, with the loading beam offset by 700 mm from the South abutment, the load was
increased in increments until failure occurred. After the maximum load had been achieved the
hydraulic jacks were used to apply incremental deformations, with the load undergoing
corresponding reductions, until the structure collapsed. This provided an excellent opportunity

to study the post-failure behaviour in "slow-motion".
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3.4.2 1.2 m span model arches

Each arch was subjected to a single point load which was applied over a patch measuring 150

X 150 mm. The load was increased monotonically until failure occurred.
3.5 Instrumentation

It is important to briefly explain the instrumentation strategy followed during the experimental

test programme. The main considerations affecting the development of the strategy were as

follows:

(1) to avoid positioning the instrumentation where their presence would
affect the behaviour of the structure,

(i1) to site the instrumentation in positions which will enable a comparative
study of the behaviour of each model arch bridge,

(i11) to permit the relocation of gauges in order to investigate phenomena
observed in previous model bridges whilst attempting to preserve
continuity,

(iv) to position the instrumentation so that data recorded by several of them
can be combined so that a more thorough knowledge of the entire area
can be obtained,

(v) to consider the usefulness of the information that each gauge is expected
to produce.

(vi) to minimise the risk of damage.

3.5.1 Deflections

Deflection gauges were used to measure the radial movement of the arch barrel, the outward
movement of the spandrel, wing and end retaining walls, and the vertical movement of the
surface of the backfill. Typical arrangements of these gauges are shown in figures 3.9 and
3.10.

Two types of gauges were used. The majority of the gauges were potentiometer type linear
displacement transducers. The manufacturers reported their precision as + 0.1 mm although
they tended to exhibit responses of the order of + 0.05 mm which were proportional to the
applied load during the non-destructive tests. A relatively small number of linear varying
differential transformer (LVDT) displacement transducers were also used. These possessed a
precision of + 0.01 mm although when operated over large movements calibration tests

revealed that they were slightly non-linear.
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Figure 3.10 Plan on typical bridge showing surfacing deflection gauges
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The deflection gauges were clamped to steel scaffolding positioned beneath the arch and around
the structure. The gauges positioned on the surface of the backfill and on the intrados were
arranged in regular patterns to enable contours of the deformed shape of the respective surface
to be plotted. Figure 3.9 shows a typical lay out of gauges on the intrados (actually that used
for monitoring bridge reference 3-3) and figure 3.10 shows a typical lay out of gauges on the
surface of the backfill.

3.5.2 Surface Strains

Surface strains were measured using recoverable surface mounted vibrating wire strain gauges
manufactured by "Gage Technique”. These were attached to the masonry with an epoxy resin
adhesive. These gauges were capable of measuring strains of the order of 2.0 X 10°. Their
gauge length was 140 mm, which means that a tensile strain of 1789.5 X 10 would be required
to produce a 0.25 mm crack width. This gauge length is considered to be short for application
to masonry. However, the curvature of the arch and the rapid rate of change of strain with

distance precluded the use of longer gauge lengths.

The measurement of surface strains was intended to provide a means of identifying the position
of the line of thrust and to determine its magnitude. However, for this latter task a detailed
knowledge of the constitutive stress-strain relationship for masonry having bedding joint inclined

to the direction of the principal stress would be required.
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Surface strain gauges were attached to the intrados, extrados and to each fascia. Figure 3.11
shows a typical arrangement of gauges attached to the intrados and figure 3.12 shows a typical
arrangement of fascia surface strain gauges. Surface strain gauges attached to the extrados were

protected from the backfill by aluminium boxes which were bolted to the masonry.

The coverage of surface strain gauges which were attached to the intrados and extrados was as
dense as possible. Four rows of gauges were used on each surface to form a series of
continuous virtual rectangular strain gauge rosettes. Every third gauge was oriented in the same
direction. Thus, three plots were produced, one for each orientation, of the strain versus
distance across the bridge. After employing curve fitting techniques the three strains at any
point across the width of the bridge could be determined and used to calculate the principal

strains and their orientations.

Consistency of measurements was attempted by ensuring that within the gauge length of each
strain gauge a constant width of mortar joint was included. In order to achieve this, the
measurements were adjusted on a pro-rata basis so that the apparent width of mortar in each
direction was constant. This procedure relied upon the assumption that the strain of the mortar
was much greater than the strain of the brickwork. It was hoped that this procedure would

reveal information pertaining to the direction of load transference.

Two mortar joints were contained within the gauge length of those gauges which were
perpendicular to the bedding joints. The number of joints contained within the gauge length of
other gauges was dependent upon the skew of the bridge. However, in the direction of each
gauge, the ratio of brick to mortar was comparable and thus it was reasoned that adjusting them

on a pro rata basis would be sufficiently accurate to enable subsequent data manipulation.

59



EE-17
EE-18
EE-19
EE-20

row S

EAST ELEVATION

e L
1 1 1 1 | I | X

wE-17
WE-18
WE-19
WE-20

row S5

wE-2l
WE-22 -
VE-23  yege”

WE-24 ~E-27
row 6 7 yg-28
Ve row 7

WEST ELEVATION

Figure 3.12 Fascia surface strain gauges

60

St

WE-29
WE-30
WE-31

WE-32

row 8

WwE-33
WE-34
WE-35
WE-36
row 9



3.5.3 Backfill Pressures

All of the pressure cells that were used throughout this research were based on the vibrating
wire principle. When each gauge had been installed into the structure a layer of fine backfill
was placed over its diaphragm. This ensured that the sharp edges of larger particles could not

make direct contact with the diaphragm and produce stress concentrations.

The majority of the pressure cells were Boundary Soil Pressure (B.S.P.) cells which had a
150mm diameter diaphragm. Thus, these cells were particularly susceptible to sharp edged
particles. These cells were cast into a 150 X 150 mm no-fines lean-mix reinforced concrete
cube. This was carried out in order to ensure that lateral pressures did not produce a Poisson’s
effect, i.e. an apparent reduction of the normal pressure due to a large lateral pressure. The
previous practice of constructing recesses in the masonry within which cells were installed was
terminated after discovering that the above Poisson’s effect could be significant. Furthermore,
the presence of soft-spots within the arch barrel could effect its behaviour and make measured

surface strains difficult to interpret.

Figure 3.13 shows a typical response of a

Effect of lateral toad on 8SP 's

B.S.P. that was cast into a concrete cube
and was subjected to lateral pressure only.
The induced normal pressure created a
very substantial apparent suction when the
lateral pressure was increased to

approximately 6 N/mm?. Within the arch

Norma |l Pressure (kN/m )

barrel, the compression is considerable

and could cause pressure cells to register Lateral Pressure (N/mm

lower pressures than those which actually Figure 3.13 lateral loading on pressure cells

occurred.

Other pressure cells which were used consisted of an oil filled double 300 mm diameter
diaphragm. These tended to be more reliable since stress concentrations were alleviated by their

increased size.

The principal objective behind the measurement of backfill pressures was to determine how the
outward deformation of the arch affected the build up of passive pressure. The secondary
objective was to determine the radial pressures which were thereby applied onto the arch. The
distribution of load through the backfill was assigned a lower priority since it had been
investigated under similar conditions by Gilbert (1993). Consequently, attention was given to

the objectives in proportion to their relative priorities.
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Figure 3.14 shows a typical arrangement of pressure cells installed within the backfill of a 3.0
m span model arch bridge (actually within bridge reference 3-4).
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Figure 3.14 Typical arrangement of backfill pressure cells
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3.5.4 Applied Load

All hydraulically applied load was measured using 1000 kN electrical resistance load cells.
3.5.5 Temperature

The ambient temperature was measured in order to adjust the data recorded on the various
instruments so that results from differing load tests were more comparable. Temperatures were

also recorded in order to measure how it affected each bridge.

3.6 Monitoring during Construction and prior to Load Testing
3.6.1 During Backfilling

In general, no significant changes in surface strain occurred during construction and, consistent
with this, there were no observable signs of distress within any of the 3.0 m span arch bridges
tested at the B.I.H.E. The exception to this was bridge reference 3-4, viz., the 45° skewed arch

bridge without attached spandrel walls.
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Figure 3.15 Extrados surface strains created during backfilling

The change in surface strains recorded on the extrados of Bridge 3-4 due to the backfilling
operation are shown in figure 3.15. Temperature effects have been removed by subtracting

strains which occurred at similar temperatures before and after construction.

63



Within bridge 3-4, a crack appeared in the extrados at the South side of the crown at its east
edge (see figure 3.14) after the fourth 150 mm layer of backfill had been placed but not yet
compacted. This crack occurred during the night and must have involved some creep effects
since no immediate damage was observed when the fourth layer was placed and work suspended
at the end of the working day. A feasible explanation for this crack is that this bridge suffered
a downward deformation of its acute angled south haunch in conjunction with an upward
movement of its crown. This was caused by the horizontal backfill compaction pressures. The
absence of fill above the crown meant that the arch, and in particular each relatively weak acute

angled haunch, was not capable of resisting these pressures.

The method of construction of bridge 3-3 was similar to that of bridge 3-4. Therefore the
presence of attached spandrel walls must have prevented a similar crack appearing in bridge 3-3.
Assuming rotational symmetry, bridge 3-4 may have cracked at the North side of the crown at
its west edge. However, the dense array of pressure cells installed within this region inhibited

the same degree of compaction and so no crack appeared.

The flexibility of the acute angled haunch of a highly skewed arch increases the likelihood of
the above damage. The obtuse angled haunches are much stiffer as are the acute angled
haunches of lesser skewed arch bridges (Bridge 3-1 did not suffer any distress during
backfilling).

Clayton and Symons (1992) showed that a vertical retaining wall which is not rigid would be
subjected to relatively high horizontal pressures when the retained fill is compacted. They
showed that the pressure distribution shifts from being a linear function of depth to being
hyperbolic i.e., asymptotic to both the pressure axis and the original active pressure line.
However, due to yielding of the fill, the pressure near the surface reduces to a value which is

proportional to depth as defined by the K, (= 1/K)) line.

When the soil is placed and compacted in layers, yielding of successive layers results in an
approximately constant pressure distribution down to a depth at which active pressures become
more significant. They concluded that this depth would not exceed 3.0-4.0 m and that

compaction pressures would not exceed 20-30 kN/m’.

Figure 3.16 shows the increase in pressure recorded above the North abutment of bridge 3-1,
3-3 and 3-4. High compaction pressures were recorded which were far in excess of "at-rest"
pressures. Although compaction pressures did not exceed 30 kN/m?, as Clayton and Symons
concluded, they remained proportional to depth and extrapolation of figure 3.16 would reveal
that they would remain significant well below their proposed 4.0 m limit. This may indicate

that complete yielding of the surface of each layer did not occur, so the horizontal pressure did
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not reduce to zero and a build up of pressure occurred.
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Figure 3.16 Horizontal Compaction Pressures

In actual bridges, the compaction pressure is not known. However, it is logical to conclude that
the first few metres of backfill may be highly compacted due to modern trafficking. Below this
layer, poor waterproofing may permit erosion of fine material and prohibit the build up of

stabilising passive pressures that are required to assist the arch in supporting applied loads.

Mechanical compaction of the spandrel fill has the effect of enabling relatively large passive
pressures to be generated through small outward deformations of the arch barrel. The maximum
outward deflection of an arch bridge at failure is small enough for analysts to rightly assume
that geometrical changes need not be taken into account. Large deformations only take place
after failure. However, in a well compacted material the small pre-failure movements can still

produce significant backfill pressures.

It is not possible to accurately measure the deflection of the arch during backfilling. A similar
square span segmental arch would experience a ubiquitous strain of 157 X 10 if its shape
remained segmental whilst its crown deflected downwards by 0.5 mm. Therefore, in the case
of Bridge 3-4, oblique compressive strains of approximately 100X 10 were consistent with a
deflection of 0.5 mm at the crown.

3.4.2 During Decentring

There were no significant changes in either surface strains or backfill pressures which occurred

during decentring any of the four skewed arch bridges within this research.
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3.43 Effects of Temperature Change

Figure 3.17 shows typical ambient temperatures of the laboratory within which each model arch
bridge was constructed. In addition, the temperature 100 mm above the crown of the arch

within the spandrel fill is also shown.
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Figure 3.17 Changes in temperature

Figure 3.18 shows the recorded surface strains measured at two corresponding points at the
crown of arch bridge reference 3-4 (one on the intrados and the other on the extrados) when

subjected to the above temperature changes.
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Figure 3.18 Temperature strains at the crown of skewed arch 34
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It is noticeable that the backfill acts as an insulation material which does not create a lagging
effect upon the temperature-time relationship but dampens it so that the temperature change

within the backfill is always towards the ambient temperature.

The response of the arch barrel to temperature changes, as shown in figure 3.17, was calculated
by taking the sum of the recorded strains and the theoretical thermal expansion of the vibrating
wire. The latter term was calculated as the product of the measured temperature difference near

the appropriate surface and the coefficient of thermal expansion of steel (12X 10°).
Figure 3.19 is a repeat of the temperature response presented in figure 3.18 with the exception
that surface strain gauge reference IN/29 is included. The data extracted from this gauge

appeared to poses a time dependent component which gradually increased compressive strains.
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Figure 3.19 Temperature strains

This phenomenon is due to poor quality adhesive which had remained malleable after the strain
gauge had been attached to the masonry. The tension within the vibrating wire was thus able

to pull together the end blocks so that an apparent compression was produced.

Many gauges exhibit this effect to a lesser or greater degree; when it becomes too great the
gauge must be reattached. Obviously, an increase in strain of approximately 80x 10 over a
period of 264 hours is small since over the duration of the failure load test (say 12 hours) this
would amount to an increase in strain of 4x10°. However, in this case, this was deemed to
be unacceptable since there would be a lengthy time between monitoring temperature effects and
carrying out the destructive test. Therefore gauges producing effects as pronounced as this were

removed and reattached prior to the start of the non-destructive tests.
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4.0 Results of the Non-destructive Tests

4.1 Visual Observations

The application of the 10.0 T, or 12.5 T, point loads onto the 3.0 m span model arch bridges
did not produce any observable cracks within the arch barrel of any of the bridges tested in this
manner. Similar observations were made when the barrel-only structure, bridge reference 3-2,
was subjected to a 50 kN point load. The exception to this was the ring separation that
propagated within the 45° skewed arch bridge without attached spandrel walls, i.e. bridge
reference 3-4. This structure suffered distress during backfilling since the relatively weak acute
angled haunches were unable to resist the compaction pressures. Thus, a crack was observed
in the extrados at its crown which was accompanied by the initiation of ring separation. This

ring separation was propagated by the application of successive point loads.

Cracks between the attached spandrel wall and the arch barrel of bridge reference 3-3 were
observed in the vicinity of the point of application of the eccentric point loads. These cracks

were propagated when the load was repositioned and a further load test performed.
4.2 Deflections

It is necessary to introduce some terms that will be used throughout the remaining text to
describe the behaviour of the model arch bridges. Longitudinal arching occurs along a line that
passes through the point of application of the load when drawn from one abutment to the other.
This type of behaviour has been understood for many years since the two-dimensional
experiments of Danyzy (1732). Beneath the load, the downward (i.e. inward) deflection of the
arch will be ascribed a negative value. Remote from the point of application of the load, the
upward (or outward) deflection of the arch will be ascribed a positive value. This type of
upward and downward deflection may also occur in the case of transverse arching action along

a path that is parallel to the abutments.

A significant proportion of the deflection of each arch barrel was found to be non-recoverable.
The redistribution of the spandrel fill and its increased compaction would contribute towards the
arch being unable to return to its original form when the load was removed. Another
contributory factor is that the superimposed patch loads cause the arch to undergo localised

shortening due to the increased compression within it.
Figure 4.1 shows the deflection of an arch as measured by deflection gauges positioned along

the row nearest to the point of application of the load. Figure 4.1 shows a typical response of

an arch bridge but is actually that of bridge 3-3 along row 2 (see figure 3.8) when subjected to
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a point load at position P, (see figure 3.7).
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Figure 4.1 Typical Load-Deflection Response

It can be seen that the majority of the non-recoverable deflection generally occurred during the
first load-unload cycle. The amount of additional non-recoverable deflection that occurred in

subsequent load-unload cycles was a small proportion of that which occurred in the initial cycle.
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Figure 4.2 Intrados deflections along row 4 of bridge 3-3 during test P,

The exception to this, as shown in figure 4.2, was that very early in its working life the arch
bridge with attached spandrel walls, viz. reference 3-3, lost the mortar bond between the arch
and its spandrel walls and thus the barrel became more flexible. A non-linear response to the

applied load was produced, especially during the first load cycle, and non-recoverable deflections

continued to occur during each subsequent load cycle.

In figure 4.2, during the first load cycle, and in figure 4.1, throughout each load cycle, it can be
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seen that deflection gauges located remote from the load position recorded a small reaction to
the load which was less than the reported accuracy of the instrumentation. However, it cannot
be coincidental that, even at this magnitude, their response was dependent on the magnitude of
the load and not random. Hence, data recorded by all gauges which exhibited a definite response
to the load were used in the curve fitting exercise through which the contour plots of the

deformed shape of each arch (see figure 4.3 to 4.12 inclusive) were generated.

Figure 4.3 and 4.4 show the development of the intrados of arch bridge 3-1 on which its
deflected shape, when subjected to an eccentric point load applied above the acute and obtuse
angled haunch respectively, is shown as a series of contours. Transverse arching action can also

be observed.
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Figure 4.3 Deflected shape of bridge ref. 3-1 with 100 kN point load at P,
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Figure 4.4 Deflected shape of bridge ref. 3-1 with 100 kN point load at P,
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Figures 4.5 and 4.6 show the development of the intrados of arch bridge 3-2 on which its
deflected shape, when subjected to eccentric point loads applied on the acute and obtuse angled

haunches respectively, is plotted as a series of contours.
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Figure 4.5 Deflected shape of bridge ref. 3-2 with 50 kN point load at P,
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Figure 4.6 Deflected shape of bridge ref. 3-2 with 50 kN point load at P,

Mortar pads were cast onto the extrados of this arch so that localised stress concentrations could
not be created. However, despite this precaution, the magnitude of the load was not increased
beyond 50 kN because it was felt that, without backfill to disperse the applied load, localised
failures could occur which would influence the future behaviour of the arch. Consequently, the

deflections were small and it was unlikely that outward deflections would be recorded in this

case€.
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Figures 4.7 and 4.8 show the development of the intrados of arch bridge 3-3 on which its
deflected shape, when subjected to an eccentric point load applied above the acute and obtuse

angled haunch respectively, is plotted as a series of contours.
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Figure 4.7 Deflected shape of bridge ref. 3-3 with 125 kN point load at P,
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Figure 4.8 Deflected shape of bridge ref. 3-3 with 125 kN point load at P,

When loaded at position P, it can be seen that small outward deflections occurred at a transverse
distance from the load. When loaded at position P,, it can be seen that small outward deflections
occurred at locations situated around the periphery of the region of inward deformation. In this

case, both transverse and longitudinal arching action occurred.

The difference between the two haunches is evident; the acute angled haunch had the apparent
stiffness of 445 kN/mm whilst the obtuse angled haunch was much stiffer with an apparent

stiffness of 1250 kN/mm.
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Figures 4.9 and 4.10 show the development of the intrados of arch bridge 3-4 on which the
deflected shape, when subjected to an eccentric point load applied above the acute and obtuse

angled haunch respectively is plotted as a series of contours.
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Figure 4.9 Deflected Shape of Bridge ref. 3-4 due to a 100 kN Point Load at P,
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Figure 4.10 Deflected Shape of Bridge ref 3-4 due to a 100 kN Point Load at P,

As with the arch bridge with attached spandrel walls, this bridge also reacted to eccentric point
loads by twisting which produced both transverse and longitudinal arching action. This bridge
was much more flexible than the arch bridge with attached spandrel walls (the acute angled
haunch had an apparent stiffness of 165 KN/mm whilst that of the obtuse angled haunch was 355
kN/mm) although, as will be seen later, this was not solely attributable to the detachment of the

spandrel walls.
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Figure 4.11 and 4.12 show the development of the intrados of arch bridge 3-0a and 3-0d on
which the deflected shape, when subjected to an eccentric point loads applied at the south

quarter-point and offset by 750 mm from the centre line, is plotted.
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Figure 4.11 Deflected shape of arch 3-0a Figure 4.12 Deflected shape of arch 3-0d
with 125 kN point load at P, with 100 kN point load at P,

Several observations can be made following a comparative study of the deflected shapes of each
of the arch bridges when subjected to eccentric concentrated loads (Melbourne & Hodgson,
1995b). Both longitudinal and transverse arching action occurred in each arch bridge except

bridge 3-2 in which only a localised reaction to the load was recorded.

The acute angled haunch of a skewed arch is much more flexible than the obtuse angled haunch.
The deformation produced by a load positioned above the acute angled haunch is much more
widespread than a similar load above the obtuse angled haunch. In this case, significant
transverse arching was produced. Longitudinal arching is inhibited by attached spandrel walls.
The difference between the response of bridge 3-0a and 3-0d and the response of bridge 3-3 and
3-4 illustrates the effects of spandrel walls. When spandrel walls are detached the arch becomes
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